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This study investigates the structural behavior and load-resisting mechanism of a typical composite ﬂoor
system subjected to the penultimate edge column removal scenario. A 2  1 bay full-scale composite
ﬂoor system is quasi-statically pushed down to failure under the displacement loading scheme. Full scale,
moment-resisting connection, and continuous steel deck are three main features of this test. Based on
this test, load-deﬂection responses, load-carrying mechanisms, deformation manners, and failure modes
are discussed. The maximum load-carrying capacity was achieved at the ﬂexural stage before the fracture
of the girder-to-column connection, after that, the resistance decreased slightly and plateaued. The
maximum static and dynamic load carrying capacities of the tested specimen is 4.2 times and 3.6 times
of the ASCE load combination for accidental events, respectively. The damaged area of the composite
ﬂoor is concentrated neighboring to the removed column, which is caused by the girder-to-column
connection failure. Yield line method is used to predict the load-carrying capacity of this composite
ﬂoor system, and the prediction agrees well with the maximum resistance measured in the test. After the
failure of the girder-to-column connection in the removed column area, the measured loads are 15.9% ~
24.5% higher than the predicted values. This is because the yield line method does not count the
contribution of the tensile membrane action in the slab. By comparing with the results from previous
experimental studies, the effectiveness of the moment-resisting connection and the continuous steel
deck on improving the load-carrying capacity of the composite ﬂoor system has been validated.
© 2019 Elsevier Ltd. All rights reserved.
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1. Introduction
Progressive collapse of structures usually begins with the failure
of a local structural component, and then successively spreads to
the neighboring components, even leads to the collapse of the
entire structure [1]. Design and strengthening methods to improve
the progressive collapse performance of building structures can be
found in the General Services Administration publication, GSA
(2013) [2] and the Uniﬁed Facilities Criteria, DoD [3]. Alternative
load path method, considering the column removal as the initial
damage, is used in these two guidelines to design the structures to
resist loads resulting from such damage. After the column removal,
an alternative load path capable of resisting the load previously
carried by the removed column is needed to be formed by the residual structural components.
Up to now, experimental researches focusing on the progressive
collapse can be summarized into three different levels: (1) the
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subassemblage level; (2) one-story ﬂoor system level; and (3) full
structural system level [4]. According to Hoffman and Fahnestock
[5], for a building with an identical structural layout in each story,
each story would only resist the gravity loads directly applied to
itself, and the number of ﬂoors would not signiﬁcantly change the
response of a building under the progressive collapse. Therefore,
considering the expenses and complexity, the one-story ﬂoor system testing may be the best choice.
Some researchers have conducted nonlinear ﬁnite-element
analyses to investigate the progressive collapse behavior of the
composite ﬂoor systems. Sadek et al. [6] computationally investigated the robustness of a gravity steel frame with the composite
slab, whose results indicated that the steel deck could signiﬁcantly
improve the load-carrying capacity of composite ﬂoor systems.
Alashker et al. [7,8] conducted a series of simulations to investigate
the inﬂuence of key parameters, such as steel deck thickness, steel
reinforcement ratio and shear-tab connection strength, on the
robustness of composite ﬂoors subjected to the removal of a center
column. It has shown that the main collapse resistance came from
the steel deck and only three-dimensional models could accurately
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Fig. 1. Prototype structure.

reﬂect the complex collapse behavior of composite ﬂoor systems.
Furthermore, an iterative design method was proposed based on
the simulation results [9]. Li [10] compared different simpliﬁed
approximations of structural models for progressive collapse
analysis and found that the planar models tended to underestimate
the structural robustness due to neglecting the slab contribution.
Main and Liu [11] compared the behaviors of the gravity frame, the
moment frame, and the braced frame. Both moment connections
and steel braces could signiﬁcantly enhance the load-carrying capacity of the ﬂoor system.
As the progressive collapse has been always accompanied by
excessive nonlinearity and severe damage of structures, the numerical results need to be validated by high-quality experimental
data. Recently, three outstanding experimental studies on ﬂoor
systems have been conducted by Johnson et al. [12], Hadjioannou
et al. [13], Fu et al. [14], respectively. Both Johnson et al. [12] and
Hadjioannou et al. [13] tested a similar half-scale one-story composite ﬂoor system subjected to internal or edge column removals.
The tested substructure was extracted from the gravity frame of a
typical commercial building without any special enhancement for
progressive collapse. However, the results of these two studies were
quite different. All the test specimens conducted by Johnson et al.
[12] could not sustain the design load combination, while the loadcarrying capacities of the test specimens conducted by Hadjioannou
et al. [13] were more than 1.7 times of the design load combination.
Such a discrepancy may be caused by the stronger horizontal
boundary restraints and the thicker slab used by Hadjioannou et al.
[13] than that by Johnson et al. [12]. Fu et al. [14] investigated the
collapse behavior of a one-third scale composite ﬂoor system with
semi-rigid beam-column connections. The contribution of the
composite slab and steel beams was quantiﬁed, where the composite slab could sustain at least one-third of the total vertical load.
All three experimental studies mentioned above were conducted on reduced scale specimens. As noted by Harris and Sabnis

[15], in order to obtain accurate results, the reduced scale specimens must use the same materials as the prototype structures, and
at the same time, all the geometric dimensions must be scaled with
the same factor. As described by Johnson et al. [12], even if it was
just a half-scale model, it was hard to ﬁnd the desirable steel
members to meet the geometrical scale factor at every location,
especially for the proﬁled steel deck. Furthermore, the small-scale
specimens usually adopt the plain round bar instead of the
deformed bar in the prototype structure, where different bond
behaviors are seen for these two types of bars. In general, the
reduced scale specimen would be difﬁcult to accurately and
comprehensively reﬂect the actual behavior of the prototype
structure. In this study, a full-scale specimen was designed and
tested to overcome those shortcomings of reduced scale specimens.
As noted by Mitchell and Cook [16], the fully restrained interior
panels could motivate the two-way tensile membrane action,
whereas the edge panels may only develop the one-way tensile
membrane action. In this sense, the edge column loss scenario would
be more vulnerable than the interior column loss scenario. Therefore,
the penultimate edge column removal scenario is adopted in this
study. As suggested by Sadek et al. [6], Johnson et al. [12] and Hadjioannou et al. [13], moment-resisting connections and the continuity
of steel deck could increase the load-carrying capacity under the
column removal scenarios. The effectiveness of these recommendations will be validated in this study by testing a full-scale composite
ﬂoor system under a penultimate edge column removal scenario.
2. Experimental program
2.1. Prototype structure
To reﬂect the real structural behavior of composite ﬂoor systems, a
prototype building with a typical structural conﬁguration (Fig. 1) has
been designed based on the Chinese codes [17,18]. This prototype
building is a 4  4 bay ﬁve-story steel-concrete composite framed
structure commonly used in East Asia. The story height is 3.6 m, and
the span length of girders and beams are 4.2 m and 3.6 m, respectively.
The design dead load (DL) and live load (LL) are 5 kN/m2 and 2 kN/m2,
respectively. The design basic earthquake acceleration is 0.1 g, and the
design basic wind pressure is 0.55 kN/m2. Lateral loads are resisted by
the steel bracing system as shown in Fig. 2.
Table 1
Geometrical dimensions of structural elements (dimension in mm).

Fig. 2. Layout of steel bracing.

Structural elements

H  B  tw  tf

Girder
Beam
Column
Brace

H200  100  5.5  8
H150  75  7  10
H200  200  8  12
H100  100  6  8

Note: H, B, tw and tf represent the section height, section width, web
thickness and ﬂange thickness, respectively.

J. Wang et al. / Journal of Constructional Steel Research 162 (2019) 105717

3

Fig. 3. Connection details of prototype structure.

All the girders, beams, columns and braces are made by hotrolled H-section (with Q345 steel, which is equivalent to the ASTM
A572 Grade 50 steel in the United States). The dimensions are listed
in the Table 1. As shown in Fig. 3 (a), the girders are connected to the
column through moment resisting connections with welded ﬂanges
and bolted web. Complete penetration groove welds are used to
connect the girder ﬂanges to the column ﬂange, and three M16
(16 mm in nominal diameter) Grade 10.9 slip-critical high-strength
bolts are employed to connect the girder web with the extended
shear tab. As shown in Fig. 3 (b) and (c), the transverse beams are
connected to the columns and girders with the extended single shear
tab using two M16 Grade 10.9 slip-critical high-strength bolts. All the
high-strength bolts are applied with a pre-tightening force of 100 kN.
As shown in Fig. 4, the composite ﬂoor has a 50 mm thick
concrete slab above the 50 mm deep trapezoidal steel deck. The
steel deck is LF2-915 with a thickness of 1.2 mm and a width of
915 mm. The laying direction of the trapezoidal steel deck is parallel
to the girder direction. The C30 concrete slab is reinforced with
200  200 mm CRB550 welded steel fabric. The nominal
compressive strength of the C30 concrete is 30 MPa. The concrete
cover of the welded steel fabric is 15 mm. The girders and the
beams are composite with the concrete slab by shear studs with
16 mm in diameter and 80 mm in height. To achieve the full composite action, a total of 13 shear studs are welded to each girder
with a 300 mm spacing, while 11 shear studs are welded to each
beam with a 305 mm spacing.

Fig. 4. Details of composite slab.

2.2. Test specimen
As shown in Fig. 1, a penultimate edge column located at the ﬁrst
ﬂoor is assumed to be removed. The directly affected exterior panel,
named 2G1B-OUT, has been extracted from the prototype structure,
as highlighted by the dashed line in Fig. 1 (a). The plan view and
elevation view of 2G1B-OUT are shown in Fig. 5. The columns,
girders, beams and peripheral beams are represented by “C,” “G,”

Fig. 5. Test specimen.
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Fig. 6. Simpliﬁcation of column.

“B” and “P,” respectively. The extended 900 mm wide slab is
designed to simulate the boundary conditions provided by the
neighboring spans. The welded steel fabrics and steel deck in the
extended slab have been welded to the peripheral beams, which
have been constrained to the extended girders and extended beams
as shown in Fig. 5. The peripheral beams have the same section size
and material property as that of the girders. The trapezoidal steel
deck is continuous without any overlapping along the girder direction and has a total length of 9400 mm. In the direction parallel
to the beam, each piece of steel deck has a width of 915 mm, and the
neighboring steel decks are interlocked by the deformed ribs. The
welded steel fabric has a lap splice of 600 mm above the B5 and B6
beams to keep the reinforcement continuity.
Due to the limited laboratory space, a specimen with full-height
columns would not ﬁt. As shown in Fig. 6, assuming the bottoms of
the ﬁrst-ﬂoor columns and the tops of the second-ﬂoor columns are
ﬁxed, the lateral stiffness of the two adjacent columns can be
calculated by Eq. (1).

kadjacent ¼

2  12EI
l3

¼

24EI
l3

(1)

Meantime, the lateral stiffness of a half-story height cantilever
column with the same section size can be calculated by Eq. (2).
Since the cantilever column has the same lateral stiffness as the two
adjacent columns, it is used to replace the two adjacent columns in
the specimen approximately.

Fig. 8. Loading points of load-distribution system.

kcantilever ¼

3EI
3

ð0:5lÞ

¼

24EI
l3

¼ kadjacent

(2)

As shown in Fig. 2, there are steel braces in the outside girder
span of the 2G1B-OUT. The steel braces can signiﬁcantly enhance
the loading carrying capacity under the progressive collapse scenario as indicated by Main and Liu [11]. In this test, it is difﬁcult to
arrange the steel braces within the half-story height space. Therefore, the steel braces are not taken into account, leading to a relatively conservative result from this study. The speciﬁc effect of the
steel braces will be investigated numerically in the future. For the
convenience of transportation, all the columns are divided into two
parts, as shown in Fig. 5(b), one 600 mm stub and one 1300 mm
support column. During the component fabrication and concrete
casting, the support column did not connect to the test specimen.
As part of a series of experimental tests, the support columns of C2,
C4, and C5 are replaced by the H250  250  9  14 (mm) hotrolled steel (Fig. 5(b)), which can be reused for another specimen.
Since the Column C2, C4, and C5 are constrained to the horizontal
constraints, this change of the column section size has limited inﬂuence on the overall behavior of the ﬂoor system.

Fig. 7. Test setup and boundary conditions.
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Fig. 9. Lateral constraint of the test specimen.

2.3. Test setup and procedure
The test setup of 2G1B-OUT is shown in Fig. 7. The point load from
the 2000 kN actuator is uniformly distributed to the 24 loading points
by the load-distribution system (Fig. 8). There are four levels in the
load-distribution system, including seven strong beams and eight
triangular steel plates. The distribution beams except the third level
beam are connected by steel rollers and loosely restricted with bolts in
an oblong slot, which forms a pin connection between different level
beams without losing stability. The third level beam is connected to
the triangular steel plate by a socket joint, allowing the possible
rotation when the slab is undergoing large deﬂection. The point load
from the 2000 kN actuator is vertically mounted onto the mid-span of
the ﬁrst level distribution beam. The load of every triangular steel
plate is distributed to three 300  300 mm square plates to avoid the
punching shear failure. The actuator is loaded under the
displacement-control loading scheme with a 4 mm/min loading rate.
As illustrated in Fig. 7, the extended girders, i.e., G5, G6, and
extended beams, i.e., B6, B7, B8, are fully constrained to the horizontal supports to simulate the boundary condition provided by
neighboring structural components. The horizontal support connected to G5 is the most important one in this test because its
horizontal stiffness will signiﬁcantly inﬂuence the catenary force
developed in G2. The fully constrained assumption of this support
is validated by comparing with the horizontal reaction in the prototype structure. As shown in Fig. 9 (a), a structure model representing the residual structure after removing the test specimen is
established in LS-DYNA. Beam elements with cross-section integration are used to model the column, girder, beam, and brace,
while the composite slab is modeled with shell elements with
cross-section integration. Nominal values are adopted for the material properties in this preliminary model, i.e., 345 MPa for structural steel components and steel deck, 550 MPa for welded steel

fabrics and 30 MPa for concrete. A lateral force is applied to the joint
on behalf of the G5-C2 connection in the test specimen, and the
corresponding force-displacement curve is plotted in Fig. 9 (b)
along with the yield axial force (901 kN) of the G5 girder. It is shown
that an insigniﬁcant horizontal displacement (9 mm) occurs when
the laterally applied force reaches the yield axial force of G5,
therefore the fully constrained assumption of the horizontal support connected to G5 is considered to be reasonable.
2.4. Instrumentation
The test specimen is monitored with a set of instruments to capture both global and local behaviors. A total of 27 LVDTs (linear variable differential transducer) are used in this specimen. Twenty-one
LVDTs (marked by V) is used to capture the vertical deﬂection patterns
of the ﬂoor system, and 6 LVDTs (marked by H) are used to measure
any possible horizontal movement in the peripheral components.
Besides, the strains of the columns, girders, beams, trapezoidal steel
decks and welded steel fabrics are measured by a number of uniaxial
strain gauges. These measured strains are used to analyze the stress
and load redistributions of the specimen. The instrumentation
arrangement will be introduced in the later sections.
2.5. Material properties
Coupon tests have been carried out to obtain the actual steel
properties. The steel properties of the columns, girders, beams,
trapezoidal steel decks and welded steel fabrics are listed in Table 2.
The values of elongation are calculated based on the reference
length and rupture length. Since no coupon test has been conducted for the shear studs and high-strength bolts, the nominal
material properties provided by the manufacturers are adopted and
listed in Table 2.

Table 2
Material properties from coupon tests (dimension in mm).
Location
Girder/Peripheral beam
Beam
Column
H200  200
Column
H250  250
Steel deck
Rebar
Shear stud
Bolt
a

Flange
Web
Flange
Web
Flange
Web
Flange
Web
Slab
Slab
Slab
Connection

Initial Thickness

fy (MPa)

fu (MPa)

Reference length

Rupture length

Elongationa

7.7
5.3
9.3
6.5
11.6
7.8
13.4
8.6
1.18
F8
F 16
F 16

390
419
365
400
373
395
383
405
320
596
320
940

536
557
517
535
531
546
536
551
380
672
400
1040

80
70
90
75
100
80
110
85
60
50

105
92
118
99
132
105
142
107
83
53.3

0.31
0.31
0.31
0.32
0.32
0.31
0.29
0.26
0.38
0.07
0.14
0.10

Elongation ¼ (Rupture length)/(Reference length)-1.
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Fig. 12. Load-displacement curve of 2G1B-OUT.
Fig. 10. Push-out specimens.

The concrete compressive strength is measured with
150 mm  150 mm  150 mm cube samples, and the average value is
32.83 MPa. Two shear stud push-out tests have been conducted to
study the composite behavior and provide test data for future numerical validations. As shown in Fig. 10, Specimen 1 represents the
shear studs along the girder direction, and Specimen 2 represents the
shear studs along the beam direction. The materials used in the pushout specimens are identical to those of Specimen 2G1B-OUT. Displacements are measured by the built-in transducer in the actuator.
The relative load-displacement curves are plotted in Fig. 11, which
shows a better performance of Specimen 1 comparing to Specimen 2
regarding capacity (around two times higher) and ductility.
3. Experimental responses
3.1. Failure process and load-carrying capacity
The load-displacement curve is shown in Fig. 12. The load F was
measured from the actuator, while the displacement d was calculated by the average value of the measured displacements from two
LVDTs attached to the bottom of the C0 column. The uniformly
distributed load u was obtained by dividing F by the area of the
2  1 bay ﬂoor (8.4 m  3.6 m ¼ 30.24 m2), and the chord rotation
angle of girder q was calculated by dividing d by the girder span
(4.2 m). Considering the self-weight of the 2  1 bay ﬂoor (66.4 kN)
and the weight of the load-distribution system (44 kN), there is an
equivalent initial distributed load of 3.65kN/m2 before loading. The
failure process of Specimen 2G1B-OUT will be described according
to the load-displacement curve as follows.

Fig. 11. Load-displacement curves of push-out specimens.

When the vertical displacement reached 156 mm (0.037 rad,
815.9 kN, Point A), concrete cracks were observed above the B3-G1
connection (Fig. 13(a)), which were caused by the excessive shear
force transferring from the B3 beam. While the vertical displacement reached 226 mm (0.054 rad, 893.5kN, Point B), the applied
load suddenly dropped from 893.5 kN to 608 kN due to the bottom
ﬂange fracture at the G2-C0 connection followed by the upper
ﬂange fracture (Fig. 13(b)). The maximum resistance of 893.5 kN
was achieved at Point B, where the ﬁrst peak load during the entire
loading process was observed. In the meantime, concrete cracks
developed around the C0 column due to the excessive compression
(Fig. 13(b)). The slab above the B4-G2 connection also cracked
similar to the slab above the B3-G1 connection (Fig. 13(a)). After the
sudden load drop, the resistance quickly bounced back. When the
vertical displacement reached 363 mm (0.086 rad, 885 kN, Point C),
the resistance achieved a second peak load of 885 kN. After that, the
load dropped slightly to 831 kN due to the upper ﬂange fracture of
the G2-C2 connection (Fig. 13(c)). As the vertical displacement
reached 432 mm (0.103 rad, 859.7 kN, Point D), the upper ﬂanges of
G1-C1 connection and G2-C0 connection fractured (Fig. 13(d) and
(e), respectively). The G2 girder was connected to the C0 column by
the shear tabs only. Severe cracks were observed along the C3-C5C4-C2 direction, i.e., the hogging moment region. Severe cracks also
formed along the C0-C5 direction, resulted from the G2-C0
connection fracture. When the vertical displacement reached
550 mm (0.131 rad, 744.0 kN, Point E), the G2-C0 connection
completely failed (Fig. 13(f)), and the applied load decreased to
about 680 kN. The complete failure of the G2-C0 connection indicated both the ﬂexural action and the catenary action provided by
the girders were diminished to zero. The applied load was mainly
born by the slab. Due to the failure of G2-C0 connection, the concrete spalled around the C0 column, and the rebars were exposed to
the outside. When the vertical displacement further increased to
741 mm (0.176 rad, 721.6kN, Point F), the applied load dropped from
721.6 kN to 581 kN. The steel deck near the C0 column fractured
(Fig. 13(g)) due to the excessive tensile membrane force developed
in the slab. The slab adjacent to the C0 column was seriously
damaged. The connection between the slab and the B5 beam failed
as the shear studs were pulled out from the slab (Fig. 13(g)). The
steel deck and the rebars also fractured at the area adjacent to the
C2 column (Fig. 13(h)). The test was then terminated due to the
excessive damage. The ﬁnal state of 2G1B-OUT is shown in Fig. 14.
From the load-displacement curve, the applied vertical load
achieved its maximum peak load of 893.5kN at the vertical
displacement of 226 mm under the ﬂexural stage. After the sudden
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Fig. 13. Failure phenomenon in the loading process.

load drop due to the ﬂange fracture at the G2-C0 connection, the
applied load increased to a steady platform of about 850kN, which
can be seen as the transitional stage between the ﬂexural stage and
the catenary and membrane stage. The complete failure of the G2C0 connection at the vertical displacement of 550 mm indicated the

vanishing of the girder catenary action. The applied load was carried by the residual low ﬂexural resistance and mostly the tensile
membrane action of the slab. The ﬂoor system can sustain a vertical
load of 732 kN, however, this load does not surpass the peak load in
the ﬂexural stage.
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Fig. 16. Vertical deﬂection of the ﬂoor system at the displacement of 650 mm.
Fig. 14. Failure phenomenon at the end of the test.

According to the ASCE 7-16 [19], the load combination for accidental events is 1.2 DL þ 0.5 LL. As to this specimen, the load combination value is 7 kN (1.2  5 kN þ 0.5  2 kN). The peak load that can
be sustained statically by the specimen is 29.5 kN/m2. The loadcarrying capacity of the tested specimen is about 4.2 times of the
ASCE load combination. Using the energy method proposed by
Izzuddin [20], the corresponding dynamic response can be derived
and is plotted in Fig. 12. The maximum dynamic resistance 761 kN (or
25.1kN/m2) is 3.6 times of the ASCE load combination. In conclusion,
this steel-concrete composite ﬂoor system with 4.2 m girder span and
3.6 m beam span designed according to Chinese design speciﬁcations
could withstand the penultimate edge column removal.
3.2. Displacement contour
The arrangement of the LVDTs is shown in Fig.15. The vertical slab
deﬂection contour at the displacement of 650 mm is plotted in
Fig. 16. Larger vertical displacement is observed in the slab area
between B1 and B5 (Fig. 16). The center point of this area (V16) has
almost the same displacement as that of the C0 column. This
observation indicates a yield line generated in the slab along the C0C3 direction. The vertical deﬂection of G1-C0-G2 almost developed
symmetrically until the complete failure of the G2-C0 connection,
leading to a sudden increase of the displacement of the G2 girder.
The horizontal movements of the specimen boundaries are
plotted in Fig. 17. The horizontal movements of the column were
measured at the top of the column stub, while the horizontal
movements of the beam were measured at the mid-point of the
beam cross-section. The movements toward the center of the
specimen are deﬁned as positive, and movements away from the
center of the specimen are deﬁned as negative. The horizontal

Fig. 15. Locations of the LVDTs.

movements near C1 and C2 columns were similar when the vertical
displacement was less than 450 mm. When the vertical displacement was beyond 450 mm, the movement near the C1 column was
signiﬁcantly greater than that near the C2 column. Since the horizontal movement at the horizontal support connected to G5 (H7)
was almost zero, the horizontal movement at the C2 column
implied that G5 was under compression. While the horizontal
displacements at the C1 and C2 columns are outward, the displacements at the C3 and C4 columns are inward. This difference
may arise from the G2-C0 connection failure and the steel deck
fracture along the B5 beam, forming a trend to tear the specimen
along the B5 beam. Similar to the case of C1 and C2 columns, the
horizontal displacement at the C3 column was much greater than
that at the C4 column. No horizontal movement was observed at
the midspan of the B1 and P1 beams.

3.3. Slab crack pattern
The crack pattern of the slab's top surface at the ﬁnal stage is
shown in Fig. 18. Severe concrete crushing was seen at the area near
the C0 column, and the cracks developed along C3-C0, C5-C0 and
C4-C0 directions. No obvious concrete crushing was observed at the
area near the C1 and C2 columns. A similar crack pattern has been
also observed by Dat and Tan [21] during a concrete slab testing
under the penultimate edge column removal scenario. The yield
lines of this specimen are illustrated in Fig. 18, in which solid red
lines represent the yield lines at the sagging moment region and
dashed red lines represent the yield lines at the hogging moment

Fig. 17. Horizontal displacement of boundaries.
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Fig. 18. Crack patterns at the slab top surface.

region. The result shows all yield lines in the panel area are directly
linked to the removed edge column C0. This failure pattern is
related to the girder-to-column connection failure near C0. The
moment and axial force originally resisted by this girder-to-column
connection were redistributed to the neighboring slab, which led to
the tearing of the steel deck in Fig. 13(g) at the ﬁnal stage. It is thus
recommended that increasing the rotational capacity of the
perimeter girder-to-column connection would effectively enhance
the progressive resistance of the composite ﬂoor system. More
details will be discussed later in Section 4.4.

For the C1 and C3 columns, the horizontal force Ftension is equal to
the shear force V (Eq. (5)). The positive value of Ftension indicates
that the tensile force has developed, and this tensile force can pull
the corresponding column inward. The negative value of Ftension
indicates the corresponding column moving outward.

V¼

M2  M1
H1  H2

(3)

C2 ðC4Þ : Ftension ¼ Fboundary þ V

(4)

4. Discussion of experimental results

C1 ðC3Þ : Ftension ¼ V

(5)

4.1. Horizontal boundary force

As shown in Fig. 20, the horizontal forces at C1 and C2 columns
were compressive before the vertical displacement reached
410 mm, and then gradually turned into tension as the vertical
displacement increasing. Although the two horizontal forces have a
similar development trend, the compression at the C2 column was
greater than that at the C1 column as the vertical displacement was
relatively small due to the horizontal constraint. At the ﬁnal stage,
the tension forces at C1 and C2 columns were caused by the
torsional moment transferred from the neighboring beam. With
the increasing of the vertical displacement at the loading slab area,
B1 and B2 beams rotated around their axes. Then, these torsional
moments were transferred to C1 and C2 columns causing the
equivalent tensions in these areas. For C3 and C4 columns, the
torsional moment transferred from B1 and B2 beams is counterbalanced by the extended beams (B7 and B8) and girders (G3 and

The girder's catenary action is heavily dependent on the horizontal tensile forces developed at the girder ends. Consequently,
the development of the horizontal boundary forces could reﬂect
the development of the catenary action in the girders. As shown in
Fig. 19, the moments of the support column at heights of H1
(1000mm) and H2 (500mm), i.e., M1 and M2, are calculated based
on strain measurements recorded by the strain gauges attached to
these sections. The shear force V in the column can be statically
determined through Eq. (3). The axial force Fboundary in the
extended girder or beam can be derived by the measured strains at
the girder or beam section. For the C2 and C4 columns, the horizontal force Ftension, representing the resultant of all horizontal
forces at the girder-column connection, can be obtained by Eq. (4).

Fig. 19. Horizontal forces at the boundary columns.
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The internal virtual work Winternal produced by positive and
negative bending moment at the beam plastic hinges and slab yield
lines is calculated in Eq. (6).


 0
0
Winternal ¼ msx ly þ 2msx ly þ 2Mg þ 2Mg qx

 0
0
þ msy lx þ msy lx þ 2Mb þ 2Mb qy

(6)

The external virtual work Wexternal done by the downward
uniform distributed load u on the slab is


Wexternal ¼ ulx ly d 3

(7)

u can be derived by Winternal ¼ Wexternal

Fig. 20. Development of the horizontal force at each boundary column.

G4), therefore, both horizontal forces are compressive during the
entire testing process.
4.2. Load redistribution of the columns
When a column in a building is suddenly removed, the load
resisted by the lost column will be redistributed to the neighboring
columns. The load redistribution ratios in these columns could
reﬂect the alternative load paths formed in this ﬂoor area. The load
redistribution ratios in the columns at four typical vertical displacements are illustrated in Fig. 21. These load redistribution ratios
are calculated by dividing the vertical load by the axial force of each
column, which is calculated based on the strain gauge measurements. The vertical load carried by the C2 column was always
higher than that of the C1 column. The load ratio of the C2 column
decreased after the fracture of the bottom ﬂange at the G2-C0
connection, indicating the damage at the girder-to-column
connection could weaken the load transfer through the G2 girder.
Except for the temporary increase at a vertical displacement of
300 mm, the load ratio of the C5 column kept decreasing, indicating
the load transfer capacity of the cantilever beam B5 decreased. The
neighboring C3 and C4 columns carried the decreased load portion
from the C5 column. As the loads transferred to the C1 and C5
columns were limited, the load ratio of the C3 column kept
increasing during the testing process.
4.3. Yield line prediction of load-carrying capacity
As noted in Section 3.3, several yield lines were explicitly
formed in the concrete slab. Therefore, the yield-line method was
used to predict the load carried by the ﬂexural mechanism. Based
on the concrete crack pattern in Fig. 18, the yield-line conﬁguration
of the specimen is described in Fig. 22. lx ¼ 8400 mm and
ly ¼ 3600 mm are the total length of the slab in the x- and y-directions. qx ¼ 2d/lx and qy ¼ 2d/ly are the rotation of the plastic
hinges about the y-axis and x-axis, respectively, where d is the
vertical displacement at the C0 column. Mg and M'g are the ultimate
positive and negative bending moments of the girder, while Mb and
M'b are the ultimate positive and negative bending moments of the
beam. The contribution of the composite slab to the bending moments of girder and beam has been considered. msx and msy are the
ultimate positive bending moments of the per unit width composite slab in the x- and y-directions, while m'sx and m'sy are the
ultimate negative bending moments of the per unit width composite slab in the x- and y-directions. All the ultimate bending
moments are determined according to Johnson et al. [22], with the
corresponding results listed in Table 3.


2  0
0
3 42 msx ly þ 2msx ly þ 2Mg þ 2Mg
u¼
lx ly
lx
 0
3
0
msy lx þ msy lx þ 2Mb þ 2Mb
5
þ
ly

(8)

Based on the bending moment in Table 3, the yield-line prediction of u is 27.8 kN/m2 and the equivalent resultant force
(F ¼ ulxly) is 840.8 kN. The measured maximum vertical resistance
of the specimen is 893.5 kN (d ¼ 226 mm), which is only 6.3% higher
than the yield line prediction. As shown in Fig. 12, the vertical resistances between Point C (the ascending peak after the girder
ﬂange fracture) and Point E (the resistance drop caused by the
girder connection failure) are very close to the yield-line prediction,
demonstrating that the load-carrying capacity in this stage is
mainly provided by the ﬂexural mechanism.
As shown in Fig. 12, the load increased from 680 kN to 730 kN
between the local minimum load near point E and the local peak
load near point F. At this stage, the experimentally measured load is
about 15.9% ~ 24.5% higher than the yield line prediction (586.5 kN).
The portion of the vertical resistance exceeding the resistance
predicted by the yield-line theory is mainly attributed to the tensile
membrane action since the girder catenary action cannot be
developed due to the G2-C0 connection failure. The fracture of the
steel deck and steel fabrics (Fig. 13 (g)) near the C0 column also
conﬁrmed the development of this tensile membrane action.
4.4. Comparison with previous ﬂoor tests
The test results in this study have been compared with the
previous composite ﬂoor tests conducted by Johnson et al. [12],
Hadjioannou et al. [13], and Fu et al. [23], as listed in Table 4. Both
the specimens tested by Johnson et al. [12] and by Hadjioannou

Fig. 21. Load redistribution ratio of every column.
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Fig. 22. Yield-line conﬁguration of the test specimen.

et al. [13] used simple connection to connect the girder or beam to
the column, while the girder-to-column connection chosen by Fu
et al. [23] was semi-rigid connection. The girder spans in these tests
were 4.5 m [12,13], 2 m [23] and 4.2 m (this study). Another difference between these tests was the loading methods: water load
was used in Johnson et al. [12] and Hadjioannou et al. [13] by
pumping water into the water tanks on the slab; load-distribution
system was used in this study and Fu et al. [23]. The main advantages of the load-distribution system were easy to control and
could obtain the post-peak response of the ﬂoor system. Both
Johnson et al. [12] and Hadjioannou et al. [13] considered the edge
column removal scenario and inner column removal scenario,
while Fu et al. [23] only considered the inner column removal
scenario. However, the capacity of inner column removal scenario
in Johnson et al. [12] was heavily affected by the previously tested
edge column removal scenario, as the slab continuity at the shared
edges with the previously loaded bays had been destroyed. On the
contrary, the capacity of the inner column removal scenario in
Hadjioannou et al. [13] was extremely high and exceeded the
loading capacity of the test set-up. Eventually, collapse initiated
after removing all the bolts connected to the removed column.
Hence, the load-carrying capacity of the inner column removal
scenario had not been successfully obtained in Johnson et al. [12]
and Hadjioannou et al. [13], and will not be compared in this section. All the edge column removal scenarios tested in Johnson et al.
[12] removed the penultimate column, which was similar to 2G1BOUT. However, the removed edge column in Hadjioannou et al. [13]
was the middle edge column, at the same time, the slab and girders
were restrained to the relatively strong perimeter beams, which
could reﬂect the actual lateral constraints from the surrounding
bays. Four specimens under the inner column removal scenario
were tested in Fu et al. [23], which considered different aspect ratio,
column removal location and composite action. In the tests conducted by Fu et al. [23], at least three edges restrained the lateral
movements at the girder or beam ends by the reaction frames,
Table 3
Ultimate bending moments of beams and slabs.
Components

Bending moment
(kN.m)

Components

Bending moment
(kN.m/m)

Mg
M'g
Mb
M'b

178.0
78.1
124.5
17.9

msx
m'sx
msy
m'sy

31.3
11.3
3.7
3.1

while the continuous boundary of the slab was simulated by
extending the slab by 1/4 of their neighboring spans. Therefore, the
boundary constraints in Hadjioannou et al. [13] and Fu et al. [23]
were much stronger than those in Johnson et al. [12] and this study.
In addition, the steel deck used in Fu et al. [23] was re-entrant
steel deck, while the trapezoidal steel deck was chosen in other
tests. As the width of each piece steel deck was ﬁnite, the steel
decks in these tests were discontinuous in their transverse direction, and the neighboring steel decks were connected by locking
the performed edges. Consequently, the tensile membrane force
could only develop in the longitudinal direction of the steel deck,
which was parallel to the deck ribs. In Johnson et al. [12] and
Hadjioannou et al. [13], the steel decks were also discontinuous in
the longitudinal direction, and they were connected by shear studs
welded through the overlapped steel decks. However, the composite slab tests conducted by Francisco and Liu [24] showed that
the shear stud connection was unable to develop enough tensile
membrane force. Two primary reasons caused this issue: (1) the
shear stud connections could not undergo large deformation and
might fail too early to develop the tensile membrane action; (2) the
longitudinal strength transferred by the shear stud connection was
signiﬁcantly smaller than the full capacity of the steel deck section.
In this study and Fu et al. [23], the steel decks were continuous in
the longitudinal direction, which would be beneﬁt for the development of the tensile membrane action. Besides, steel deck tearing
around the removed column also implied excessive tensile membrane force developed in this region. Whereas, the deck fracture
caused by the membrane force was not observed in Johnson et al.
[12] and Hadjioannou et al. [13], because the steel decks were
pulled apart at the seams during the test. Furthermore, as noted by
Alashker et al. [8], the steel deck thickness could signiﬁcantly affect
the ﬂoor's capacity under the column removal scenario. The steel
deck thicknesses in these tests were 0.75 mm [12,13], 0.9 mm [23]
and 1.2 mm (this study).
The critical chord rotation angles, at when the critical connection component failure (such as girder ﬂange fracture or bolt failure) occurs, are related to the corresponding span-to-depth ratio, as
shown in Fig. 23. According to the results in these tests, when the
critical chord rotation angles reached, the resistance of the ﬂoor
system would be equal or approximate to its peak load. As the
progressive collapse of the ﬂoor system is a dynamic process, any
critical connection component failure would cause a sudden load
redistribution and induce a successive failure. As noted by Lee et al.
[25], for the steel moment frames, the load-to-rotation responses
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Table 4
Comparison of different composite ﬂoor test results.
Source

Specimen

Connection
type

Span
length
(m)

Column
loss
scenario

Number of
restrained
edges

Steel deck

Span-to-depth
ratio

Critical chord
rotation angle
(rad)

Load-carrying
capacity (kN/m2)

Compare with
1.2DL þ 0.5LL

Present
study
Johnson
et al. [12]

2G1B-OUT

welded ﬂange
- bolted web
Double angle
Extended
shear tab
Double angle

4.2  3.6

Edge column

2

Trapezoidal

14

0.054

29.5

4.2

4.5  4.5

Edge column

2
2

Trapezoidal

16.1
19.8

0.036
0.028

4.0
4.0

0.6
0.6

4.56  4.56

Edge column

3

Trapezoidal

17.3

0.075

9.1

1.7

23
23
23

Inner column

3
4
4

Re-entrant

7.4
7.6
7.6

0.080
0.070
0.083

53.1
51.2
51.8

8.1
15.3
8.2

7.6

0.097

96.3

8.4

Hadjioannou
et al. [13]
Fu et al. [23]

EC-G
EC-B
ECL
2  3-S-PI
2  3-S-IC
2  3-WIC
2  2-S-IC

Flush end
plate

22

4

under a column removal scenario were similar if the span-to-depth
ratio was similar. As the geometric dimensions were different in
these tests, the span-to-depth ratio is used as a normalized
parameter to compare them. Therefore, these tests are discussed
based on the critical chord rotation angle and span-to-depth ratio.
Both the critical chord rotation angles in the tests conducted by Fu
et al. [23] and by Hadjioannou et al. [13] exceed 0.07 rad. However,
the critical chord rotation angles in the tests conducted by Johnson
et al. [12] did not exceed 0.036 rad, although a similar span length
and connection type were used as the test in Hadjioannou et al.
[13]. Moreover, the dominant connection failure mechanism in
Johnson et al. [12] was bolt shear, while this phenomenon was not
observed in Hadjioannou et al. [13]. This was primarily due to

Fig. 23. The critical chord rotation angle in different composite ﬂoor tests.

Fig. 24. Conﬁguration of the improved rigid connection proposed by Qin et al. [26].

smaller bolt size (9.5 mm in diameter) used, since the bolt size used
by Hadjioannou et al. [13] was 12.7 mm in diameter, which shear
capacity was relatively higher. As the tests in Johnson et al. [12]
were not horizontally constrained at the boundary, the ﬂoor load
would be mainly resisted by the ﬂexural mechanism. With bolt
connection under tension and composite slab under compression,
positive moment was developed at the removed column location.
But, the bolt shear strength in Johnson et al. [12] was too weak to
ensure this positive moment to achieve a larger rotation angle. The
bolt size used in the present test and in the Fu's test [23] was 16 mm
in diameter. Besides, the slab strength and the horizontal restraints
of the ﬂoor system conducted by Hadjioannou et al. [13] were much
stronger than that conducted by Johnson et al. [12]. Without
considering the tests conducted by Johnson et al. [12], which used a
relatively small bolt, the critical chord rotation angle of the rigid
connection in the present study was 0.054 rad, smaller than those
of the simple connection by Hadjioannou et al. [13] and semi-rigid
connection by Fu et al. [23]. Furthermore, in this test, the girder
ﬂange fracture caused a sudden drop of the vertical resistance, and
the composite ﬂoor system could not generate a higher resistance
after that. This ﬂange fracture induced the concrete crushing and
steel deck tearing around the removed column, which limited the
further development of the collapse resistance. In the actual condition, the sudden drop of the vertical resistance might increase the
instability in the structure. Hence, it would be helpful to delay the
ﬂange fracture of the rigid girder-to-column connection in the
penultimate edge column removal scenario. The improved rigid
connection proposed by Qin et al. [26] would be a good choice to
improve the collapse resistance of the ﬂoor system. Fig. 24 shows
the conﬁguration of this improved rigid connection, in which, the
cover plates can postpone the ﬂange fracture.
The load-carrying capacities are also compared in Table 4.
Considering the span length and span-to-depth ratio, the specimen
in this study was more comparable with those conducted by
Johnson et al. [12] and Hadjioannou et al. [13], but the load-carrying
capacity of this specimen was much higher. This was partly caused
by the relatively larger girder section used in this specimen, which
was similar to the girder section used in EC-G [12], but larger than
the perimeter beam sections used in EC-B [12] and ECL [13].
Nevertheless, the enhancement in the load-carrying capacity was
also attributed to the girder-to-column moment connection. As the
girder section used in 2G1B-OUT was similar with the girder used
in EC-G [12], but the load-carrying capacity of 2GB-OUT (29.5 kN/
m2) was much higher than the 4.0 kN/ m2 in EC-G. The numerical
simulation conducted by Main and Liu [27] also conﬁrmed that the
frame with moment connection was more robust than the same
frame with simple connection. Moreover, continuous arrangement
and relatively larger thickness of the steel deck in 2G1B-OUT also
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contributed to the ﬂoor's capacity. Compared with the load combination 1.2DL þ 0.5LL, the load-carrying capacities of the ﬂoor
systems tested by Johnson et al. [12], Hadjioannou et al. [13], and Fu
et al. [23] were about 0.6, 1.7, 8.1e15.3 times the load combination,
while the ﬂoor system in this study could sustain about 4.1 times
the load combination. The load-carrying capacities in Fu et al. [23]
were much higher than others, which were beneﬁted much from
the smaller span-to-depth ratio, smaller span length, relatively
larger girder section, and enhanced slab strength. Furthermore, reentrant steel deck was used in Fu et al. [23], which usually stronger
than the composite slab with trapezoidal steel deck [28], as the
interlocking action resulted from inverted triangle bulges in the reentrant steel deck was absent in the trapezoidal composite slabs.
5. Conclusions
In this paper, a 2  1 bay full-scale composite ﬂoor system was
properly designed and quasi-statically pushed down to failure
under a penultimate edge column removal scenario. The loaddisplacement response curve was obtained, and the resisting
mechanisms were discussed. The contribution of the respective
mechanism in the ﬂoor system was quantiﬁed separately, and the
load redistribution among the columns was also measured.
Following conclusions are drawn from this study:
(1) The maximum static or dynamic load carrying capacity of the
tested specimen is 4.2 times or 3.6 times of the ASCE load
combination for accidental events (1.2 DL þ 0.5 LL), indicating this typical steel-concrete composite ﬂoor system
commonly used in East Asia can prevent the progressive
collapse led by the edge column loss.
(2) The maximum resistance is achieved at the ﬂexural stage,
being only slightly (6.3%) higher than the predicted value
using the yield-line method, which implies the ﬂexural
resistance is the main resistant mechanism. After the complete failure of the girder-to-column connection, the experimentally measured load is 15.9% ~ 24.5% higher than the
yield line prediction due to neglecting the contribution of the
slab tensile membrane action.
(3) Compared with experimental results from the previous
composite ﬂoor tests, the girder-to-column moment
connection and the continuous steel deck employed in this
study could improve the load-carrying capacity of the composite ﬂoor system. However, in this study, the girder ﬂange
connected to the removed column fractured at a relatively
small chord rotation angle. This ﬂange fracture induced the
concrete crushing and steel deck tearing around the removed
column, which limited the further development of the
collapse resistance. Therefore, an enhanced girder-tocolumn moment connection that could delay the ﬂange
fracture would beneﬁt the progressive collapse resistance of
the composite ﬂoor system.
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