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Abstract: This study presents a numerical assessment of the behavior of seismically designed steel frame buildings against ground floor
column loss. In the designed prototype buildings, moment frames with beam-to-column rigid connections and concentric X-bracing frames
resist the lateral force, whereas the steel-concrete composite floor slabs resist the gravity load. Macromodels are used to capture the building
response when removing ground floor columns. The macromodels are built with a reduced modeling approach, in which the concrete damage
and the local steel fracture behavior are accurately considered. The macromodeling approach is calibrated by high-fidelity models and
validated by composite floor test. The validated macromodels are used to investigate the effect of column loss location, total number of
floors, floor slab, beam-to-column connection type, adjacent span, and steel brace on the collapse resistance of prototype buildings. To
account for sudden column failure, an energy-based approach is used to convert the quasi-static response curves to dynamic response curves.
The structural robustness is derived by comparing each column failure case’s dynamic ultimate capacities with corresponding design require-
ments. Structural robustness enhancement strategies for steel frame buildings under progressive collapse scenarios are summarized and
discussed. Moreover, a retrofitted moment-resisting connection with steel strands is proposed to enhance the steel frame buildings’ robustness
by providing a second line of defense. DOI: 10.1061/(ASCE)ST.1943-541X.0003214. © 2021 American Society of Civil Engineers.
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Introduction

Progressive collapse of structure is the phenomenon by which ini-
tial local component failure can successively spread to surrounding
components, eventually resulting in devastating consequences, such
as the collapse of an entire structure or a disproportionately large
part of it (Starossek 2009). Several current guidelines (CEN 2006;
GSA 2016; DoD 2016) addressing progressive collapse require that
structural robustness must be sufficient to prevent disproportionate
collapse. Starossek and Haberland (2011) defined the term “struc-
tural robustness” as the “insensitivity of a structure to local failure,”
whereas a broader definition is given in European Committee for
Standardization (CEN 2006): “the ability of a structure to withstand
abnormal events without being damaged to an extent disproportion-
ate to the original cause.” The difference between these two defini-
tions is whether or not the triggering events of local failure are taken
into account. The definition proposed by Starossek and Haberland
(2011) is threat independent, more pragmatic, and more widely ac-
cepted (CNPI 2011; ASCE 2017; Khandelwal and El-Tawil 2011;
Bao et al. 2017).

The definition of structural robustness is comprehensible but
still controversial and challenging to quantify. Robustness is a
property involving many structural indicators, such as redundancy,

ductility, vulnerability, exposure, and others. ASCE/SEI 7-16 (ASCE
2017) proposes that structural robustness can be evaluated by “no-
tional removal of key load-bearing structural elements, followed by
a structural analysis to assess the ability of the structure to bridge
over the damage.” Starossek and Haberland (2011) proposed three
quantitative measures, including stiffness-based measure, damage-
based measure, and energy-based measure, for quantifying struc-
tural robustness. Even though these measures are expressive and
general, they are impracticable and difficult to calculate for com-
plicated structures. Izzuddin et al. (2008), Khandelwal and El-Tawil
(2011), Main (2014), and Bao et al. (2017) proposed a practical
capacity-based measure, which is based on the ultimate capacity of
the target structure under single column loss scenarios. Nonlinear
static pushdown analysis (Main 2014; Bao et al. 2017) or nonlinear
incremental dynamic analysis (Khandelwal and El-Tawil 2011) can
be used to compute the ultimate capacity after column failure. To
capture the structural response after sudden column loss, the non-
linear incremental dynamic analysis is the most accurate option but
needs to run multiple dynamic analyses with incrementally increas-
ing gravity load to capture the ultimate capacity (Khandelwal and
El-Tawil 2011). Based on energy conservation, the static responses
obtained from the nonlinear static pushdown analysis are converted
into equivalent dynamic responses (Main 2014; Bao et al. 2017).
Compared with the nonlinear incremental dynamic analysis, the
nonlinear static pushdown analysis needs only to perform a single
analysis. As a result, the computing cost is significantly decreased
with this method.

Therefore, a similar method as Bao et al. (2017) is utilized in
this study. The target structures subjected to different ground floor
column loss are simulated using the nonlinear static pushdown
analyses, and the obtained static responses are converted into cor-
responding equivalent dynamic responses. Considering all of the
column failure scenarios, the minimum ratio between the ultimate
dynamic capacity and the corresponding applied gravity load is
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selected as the robustness index. If the robustness index is greater
than unity, the structure is robust enough to prevent progressive
collapse under all column failure scenarios; otherwise, suitable
strategies and measures must be taken to enhance the structural
robustness.

As noted by Alashker et al. (2011), planar analysis is not reliable
for the progressive collapse simulation, and full three-dimensional
(3D) analysis is the only accurate way to strictly investigate the
structural robustness of an entire building. Apart from this, the floor
slab can significantly improve the robustness of the structure, and
its influence must be considered (Sadek et al. 2008; Alashker et al.
2010; Li and El-Tawil 2014; Johnson et al. 2016; Hadjioannou et al.
2018). The entire steel frame building analyses are time-consuming
and require high computational cost. Hence, macromodels are usu-
ally selected to replace high-fidelity models to reduce the computa-
tional time (Fu 2009, 2010; Kwasniewski 2010; Alashker et al.
2011; Li and El-Tawil 2014). As noted by Wang et al. (2019b), the
local stress state, including stress triaxiality and Lode angle, must
be taken into account when simulating the progressive collapse of
steel structures. But, in the macromodel, reflecting the influence of
the local stress state on the steel fracture at the connection region is
challenging. Up to now, this problem has not been satisfactorily
solved. To settle this matter, this study presents a modeling ap-
proach for the macromodel of steel frame buildings, and the cor-
responding modeling methodology is illustrated in Fig. 1. High-
fidelity models are calibrated and validated based on the test results
of a full-scale composite floor test and related coupon tests (Wang
et al. 2019b). Then, the high-fidelity models are used to calibrate

the macromodel, and the calibrated macromodel is verified by com-
paring its results with the composite floor test. Subsequently, this
modeling approach is applied to the progressive collapse simulation
of a specially designed five-story prototype building. Based on this
building, the influence of some key factors, including column failure
location, total number of floors, floor slab, beam-to-column connec-
tion type, adjacent span, and steel brace, on the collapse resistance
are investigated.

Next, the structural robustness of the prototype building is as-
sessed. Meanwhile, a retrofitted moment-resisting connection with
steel strands is proposed and applied to the prototype building. The
effectiveness of this developed connection in enhancing structural
robustness is validated. Additionally, structural robustness enhance-
ment strategies for steel frame buildings under progressive collapse
scenarios are summarized and discussed.

Composite Floor Test

As previously mentioned, the macromodel of the composite floor
is calibrated using the high-fidelity model, which is calibrated and
validated by a full-scale composite floor test (Wang et al. 2020). In
this test, a middle-edge column removal scenario is investigated.
Fig. 2(a) depicts the plan view of the test specimen. The mem-
ber dimensions are H200 ðsection heightÞ × 100 ðflangewidthÞ ×
5.5 ðweb thicknessÞ × 8 ðflange thicknessÞ for girders, H150 ×
75 × 7 × 10 for beams, and H200 × 200 × 8 × 12 for columns, re-
spectively. Except for the removed column, all column bases are

Fig. 1. Modeling methodology flowchart.
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Fig. 2. Composite floor test.
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fixed during the test. The girders are connected to the columns with
a welded flange-bolted web (WFBW) connection. The beams are
connected to the girders and columns with a shear tab connection.
The total thickness of the composite slab used in this specimen is
100 mm. The corrugation depth of the 1.2 mm trapezoidal steel
deck is 50 mm, and the thickness of the slab flange is 50 mm. The
ribs of the steel decks are oriented parallel to the girder line. The
concrete slab is reinforced by steel meshes with 8-mm diameter
rebars at 200-mm spacing. Composite action between beams and
composite slabs are achieved through 16 mm-diameter shear studs
at 300- and 305-mm spacing along the girder and beam directions,
respectively. Push-out tests are conducted to determine the load-slip
behavior of the shear studs along the girder and beam directions,
as indicated in Fig. 2(b). To simulate the boundary constraints of
the surrounding bays, 900 mm extra slabs are extended at the hori-
zontal boundaries. Moreover, the extended floor beams are also
constrained at their ends by horizontal supports. During the test,
a significant catenary force is developed in the girders connected
to the removed column and causes lateral movements that cannot
be ignored at their ends. By diving the measured lateral force and
lateral displacement, the horizontal elastic stiffness of the horizon-
tal supports at these locations is approximately equal to 10 kN=m
(Wang et al. 2019b, 2020). In the test, a displacement-controlled
vertical load of the actuator is uniformly distributed to 24 points on
the specimen’s slab to simulate the uniform gravity load. The prin-
cipal material properties of the steel used in this specimen are
indicated in Fig. 1(c). The cylindrical compressive strength of con-
crete is 26 MPa. More details for this test can be found in Wang
et al. (2020).

High-Fidelity Model of Composite Floor

A high-fidelity model (Fig. 1) is built based on the composite floor
test and is described in detail by Wang et al. (2019b), and the mod-
eling scheme is briefly presented here. Steel members, including
girders, beams, columns, and steel decks, are modeled by shell el-
ements. Truss and beam elements are used to model rebars and shear
studs, respectively. Reduced-integration solid elements are used to
model the concrete slab. The nonlinear material behaviors, including
ductile fracture of steel and plastic damage of concrete, are accu-
rately calibrated based on the coupon test results. Nonlinear spring
elements are used to model the load-slip relationship between shear
studs and floor beams, and their load-slip relationships are derived
from the push-out tests. The element nodes of rebar and shear stud
are merged with their surrounding concrete elements to enforce a
perfect bond between them. Spring elements are used to simulate
the lateral restraint stiffness at the girder ends that are colinear with
the removed column. Other deformations at the ends of the extended
floor beams are fully restrained. The floor load applied by the test
setup is simulated by applying a uniform vertical load to the floor
region affected by the removed column. The accuracy of the high-
fidelity model has been validated by Wang et al. (2019b), and the
load-displacement relationships of this model and the test are com-
pared in Fig. 2(d). In the next section, this high-fidelity modeling
method is used to calibrate the macromodel of the composite floor.

Macromodeling Approach of Composite Floor

This section presents a macromodel of the aforementioned
composite floor test, which is implemented using the LS-DYNA
version R11.0 software.

Girder-to-Column Connection

Fig. 2(a) indicates the macromodel of the composite floor in
the vicinity of the girder-to-column connection. Hughes-Liu beam
elements are used to model the girders, beams, and columns. The
spring elements are used to model the welded girder flanges and
bolted shear tab connections. The nonlinear behavior of these spring
elements is modeled using a general spring material model, which is
the No. 119 material in LS-DYNA. As indicated in Fig. 3(b), the
axial load-deformation relationships of these spring elements are
represented by a trilinear model, similar to that proposed by Sadek
et al. (2008). After the ultimate tensile resistance (tu) is reached,
the trilinear model decreases linearly until it becomes zero at the
fracture displacement (δ0). The axial resistance remains unchanged
after the ultimate compressive resistance (−tu) is reached. In the
test, the girder-to-column and beam-to-column connections were
all failed by tension failure, whereas shear and out-of-plane failures
were not observed. Hence, the spring deformations along these di-
rections are rigidly constrained. A similar procedure is also used by
Sadek et al. (2008), Yang and Tan (2013), and Ding et al. (2017).

The fracture performance of the girder-to-column connections
under progressive collapse scenarios is highly affected by the stress
state parameters, including stress triaxiality and lode angle. Ductile
fracture models, incorporating the effects of stress triaxiality and
lode angle, were determined by steel coupons extracted from the
composite floor specimen (Wang et al. 2019b). However, these frac-
ture models cannot be applied directly to the beam elements because
the local stress state cannot be accurately determined by the beam
element. To overcome this difficulty, an indirect method is em-
ployed: a high-fidelity model is built to simulate the fracture behav-
ior of the girder-to-column connection, and its results are used to
calibrate the corresponding macromodel. The detailed calibration
procedure is illustrated in Fig. 2(c). The web spring is first calibrated
using a bolted shear tab connection model extracted from the girder-
to-column connection. Both bolted shear tab connections built by
the high-fidelity and macromethods are subjected to the monotonic
tensile loading along the girder axis. After several adjustments, the
web spring parameters are determined when the result of the macro-
model matches that of the high-fidelity model. Then, as indicated
in Fig. 2(c), the flange spring is calibrated using a half-span girder
model that can approximately represent the performance of the
girder-to-column connection under the column removal scenario
(Wang et al. 2019b). In the half span model, the constraint that
comes from the column is simplified to a rigid boundary, whereas
a monotonic vertical loading is applied to the horizontally restrained
girder end. Both the high-fidelity and macromodels are built for the
half-span model. The calibrated web spring is used in this half-span
macromodel. Noteworthy is that, for the flange springs, ty and tu
equal the tensile yield and ultimate capacities of the flange section,
whereas δy equals the yield deformation of the flange. Therefore,
only δu and δ0 need to be calibrated for the flange spring. In a similar
manner to that previously described, the flange spring parameters
are calibrated when the result of the macromodel fits well with that
of the high-fidelity model. Because the bolt connection dimensions
and material properties of the beam-to-column connection are iden-
tical to those of the girder-to-column connection, the calibrated
web spring for the girder-to-column connection is used in the mac-
romodel of the beam-to-column connection. The parameters of the
calibrated connection springs are listed in Table 1. Because the high-
strength bolts are used, the failure of the bolted shear tab connection
is assumed to be induced by the fracture of shear tabs or beam webs
rather than the bolt shear failure. Therefore, this modeling method
might not be directly applied to the connections governed by the
bolt shear failure mode.
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Composite Floor Slab

Fig. 4(a) illustrates the modeling and calibration approach for the
macromodel of the composite slab. To reduce computing time, shell
elements with through-thickness integration are used to model the
composite slab. Shell elements are divided into two categories
(strong strip and weak strip) to reflect the variation in section height
of the corrugated composite slab. The 50-mm thick slab flange sec-
tion is presented by a weak strip, whereas the 100-mm thick slab
section with flange and rib is represented by the strong strip. A total
of seven integration points are used in the strong strip, including one
steel deck point, two rebar points, and four concrete points. Because
only the deck ribs are constrained to the floor beams by the shear
studs, the steel deck point is not modeled in the weak strip. Hence,
the weak strip is composed of two rebar points and four concrete

points. To ensure model continuity, the element nodes of the strong
strip are defined at the midthickness section of the composite slab,
whereas the element nodes of the weak strip are defined at the bot-
tom surface of the slab flange.

The material 172 in LS-DYNA is used to simulate the steel deck,
rebar, and concrete in the shell elements. By changing the reinforce-
ment rate, this material model can simulate smeared rebar, plain
concrete, or a combination of both. Fig. 2(b) presents the stress-
strain curves for different materials used in this material model.
Two separate integration points are used to model the rebars in two
directions. Hence, the rebar fracture in one direction does not induce
the premature failure of rebars in the transverse direction. Limited
by the trapezoidal cross-section, the steel deck cannot develop sig-
nificant tensile force in the direction perpendicular to the deck ribs.
Given this behavior, in the steel deck point, the steel deck property
is only defined in the direction parallel to the deck ribs. To avoid the
convergence problem resulting from a too large unrealistic element
distortion, when the plastic strain reaches 0.3, the corresponding
shell element is removed from the model.

Under the progressive collapse scenario, the load-carrying ca-
pacity of the composite slab is mainly provided by the bending re-
sistance and the tensile membrane action. As indicated in Fig. 4,

Table 1. Calibrated connection spring parameters

Spring δy (mm) ty (kN) δu (mm) tu (kN) δ0 (mm)

Web spring 1.6 107 16 117 17
Flange spring 0.02 300 1.7 400 2

Fig. 3. Macromodeling of girder-to-column connection.
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limited by the corrugated cross-section, the composite slab used in
this study acts as a one-way slab and can only develop bending
resistance about the y-axis (perpendicular to the deck ribs). In con-
trast, tensile forces can be developed along both the x-axis (parallel
to the deck ribs) and the y-axis. The tensile forces along the x-axis
are developed by steel decks and rebars, whereas the tensile forces
along the y-axis are only developed by the rebars. Therefore, as in-
dicated in Fig. 4, the macromodel of the composite slab is calibrated
in terms of three loading cases: tension along the x-axis, tension
along the y-axis, and bending about the y-axis. The benchmark
model for the calibration is a square composite slab extracted from
the test specimen, with a size 2,400 × 2,400 mm. Both the high-
fidelity and macromodels are built for it. Because only the deck
ribs are constrained by the shear studs, for the steel deck in the
high-fidelity model, only element nodes at the bottom surfaces are

applied with a horizontal constraint (bending about the y-axis) or
tensile force (tension along the x-axis). After several adjustments,
the macromodel is calibrated when its results match those of the
high-fidelity model, and the comparison between them is provided
in Fig. 4. The element number of the macromodel and high-fidelity
model is 64 and 41,088, respectively. Therefore, the macromodel
significantly reduces computational costs.

Shear Stud

As indicated in Fig. 2(c), the load-slip relations and the shear capac-
ity of the shear stud are obtained by conducting push-out tests. In
the macromodel of the composite floor (Fig. 3a), rigid bars extend
from the element nodes of girders and beams to their top flanges,
and the composite slabs are connected to these rigid bars by

Fig. 4. Macromodeling of composite slab.
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discrete beam elements. A general spring material model—material
119 in LS-DYNA—is applied to these discrete beam elements to
simulate the shear studs. The spring is defined with the parameters
described by Wang et al. (2019b).

Comparison with Experimental Results

In the macromodel of the composite floor (Fig. 1), an incrementally
increasing vertical load is uniformly applied to the floor region af-
fected by the removed column until the macromodel loses load-
carrying capacity. According to the experimental design, all column
bases are fixed except for the removed column. The lateral re-
straints at the girder ends that are colinear with the removed column
are simulated by spring elements with stiffness of 10 kN=mm, as
previously mentioned. Other deformations at the ends of the floor
beams are fully restrained. The total vertical reaction at the bases of
all columns is considered as the floor resistance. The numerically

calculated floor resistance versus vertical displacement curve at the
removed column is drawn in Fig. 2(b), which matches well with
that obtained from the test data. Two principal peak load points,
caused by the failure development at the girder-to-column connec-
tion, are successfully captured. Hence, this macromodeling approach
is adopted in the following section.

Prototype Buildings

Two five-story prototype steel frame buildings, Building A (Fig. 5a)
and Building B (Fig. 5b), are designed according to Chinese codes
[GB 50017-2017 (MOHURD 2017); GB 50011-2010 (MOHURD
2010)]. The seismic design intensities of Building A and Building
B are VI and VIII, respectively. The design basic earthquake accel-
erations of Building A and Building B are 0.05 and 0.20 g (gravi-
tational acceleration), respectively. Compared with Building A,

Fig. 5. Prototype buildings.
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the excess seismic loads in Building B are resisted by steel braces.
Except for the concentric steel braces, all structure dimensions are
identical for these two buildings. In these two buildings, the height
of each floor is 4.5 m, the girder span is 9 m, the beam span is 6 m,
and the beam spacing is 3 m. The design dead load (DL) is
5 kN=m2, and the live load (LL) is 2 kN=m2. The composite floor
slab is identical to that indicated in Fig. 3(a). The steel deck and
slab reinforcement used in the composite slabs are the same as
those used by Wang et al. (2020). As indicated in Fig. 5(c), all of
the girder-to-column connections and beam-to-column connections
are WFBW connections, whereas the beam-to-girder connections
are bolted shear tab connections. Square steel tube columns with
a section of □400 × 12 are used in these buildings. H-shaped steel
girder and beam are used and have section sizes of H500 × 200 ×
10 × 16 and H300 × 150 × 6.5 × 9, respectively. All of the column
bases in the prototype buildings are designed as an embedded col-
umn base with a stiffness that meets the requirements of a rigid joint
in the Eurocode (CEN 2005). Therefore, the column bases are fixed
in the macromodel of the prototype buildings. Moreover, the fixed
column bases are widely adopted in simulating the progressive col-
lapse of steel frame buildings. For instance, the National Institute of
Standards and Technology (NIST) designed two typical 10-story
steel frame buildings to investigate effective designs in resisting
disproportionate collapse, and the column bases were assumed as
fixed (Sadek et al. 2010; Main and Sadek 2012). The composite
slab and the floor beams are connected by 19-mm diameter shear
studs. Each girder has 85 shear studs with a spacing of 100 mm,
whereas each beam has 38 shear studs. A full shear connection is
achieved between the composite slabs and the floor beams. Con-
sequently, in the macromodel of the prototype buildings, the shear
failure of the shear stud is not modeled. The section size of the steel
braces in Building B is H175 × 175 × 7.5 × 11. In these prototype
buildings, the steel properties used for the columns, beams, and
girders are the same as those used in the girder flanges of the afore-
mentioned composite floor specimen, whereas the material proper-
ties of the concrete, rebars, shear studs, and steel decks are identical
to the composite floor specimen.

Using the calibration method for the connection springs previ-
ously mentioned, the axial spring parameters for the girder-to-
column and beam-to-column connections are calibrated and listed
in Table 2. The axial parameters of the web springs at the beam-
to-girder connection are the same as that of the beam-to-column
connection. Even though the shear failure mode of the moment-
resisting connections has not been observed in the progressive col-
lapse tests (Li et al. 2013, 2015; Qin et al. 2015; Wang et al. 2016,
2019a, b), the vertical shear failure is still simulated in prototype
buildings. The vertical shear load is assumed to be merely resisted
by the bolted shear tab connection, and the contribution of the
flanges is neglected. The ultimate vertical shear resistance of each
web spring is calculated by dividing the vertical ultimate capacity of
the connection by the number of bolts. The vertical ultimate capacity

of the connection is calculated according to the GB 50017-2017
(MOHURD 2017) specification. The vertical deformations of the
web springs are neglected by defining a large vertical stiffness to
them. When the ultimate vertical shear resistance or the axial frac-
ture displacement is reached, the web springs are deleted from the
model. For the girder-to-column and beam-to-column connections,
the ultimate vertical shear resistance of the web springs is 235 kN
and 91 kN, respectively. Because the top flanges of the girder and
beam have been tightly restrained by the floor slab, the out-of-plane
failure of the connection is not simulated in the model of the proto-
type buildings.

Analysis of Prototype Buildings

As indicated in Fig. 5, due to the symmetrical nature of the proto-
type building, there are nine single-column failure scenarios at the
ground floor, namely, A1, A2, A3, B1, B2, B3, C1, C2, and C3.
Using the macromodel previously verified, nonlinear static push-
down analyses under these scenarios are performed. In the push-
down analysis, the failed ground column is removed before the
uniform vertical load is applied. Incrementally increasing the verti-
cal load is uniformly applied on the floor slabs affected by the failed
column and the floor slabs above it until the ultimate load-carrying
capacity of the residual structure is reached. The total vertical reac-
tion at the bases of all columns is considered as the building resis-
tance. Dividing the building resistance by the floor area subjected to
the vertical load is regarded as the load intensity. Therefore, the re-
lationship between the load intensity and the vertical displacement
at the failed column can be obtained.

Influence of Column Failure Location

Fig. 6 illustrates the load intensity-displacement relationship of
Building A under different column removal scenarios. Table 3 sum-
marizes the ultimate resistance of the Building A (RA) under differ-
ent column removal scenarios and compares them with the load
combination for extraordinary events (1.2DLþ 0.5LL), as defined
in ASCE/SEI 7-16 (ASCE 2017) and that is called Rd in this study.
As indicated in Table 3, RA is much higher than its corresponding
Rd for all column failure cases. The RA of the C1 case is the highest,
which is 4.90Rd, whereas the B2 case has the lowest RA, which is
3.27Rd. For the A1, B1, and C1 cases, the RA is at least equal to
4.27Rd; for the other six cases excluding the C3 case, the RA is
approximately equal to 3.3Rd. Compared with the other six cases,
the tributary floor area of the affected girders of the A1, B1, and C1
cases is only half that of the other six cases, which causes the rel-
atively higher RA of these cases. Excluding the A1, B1, and C1
cases, the C3 case has slightly higher RA than the other cases, which
benefits from the development of the tensile membrane and two-
way catenary actions after the surrounding horizontal boundaries

Table 2. Calibrated connection spring parameters for the macro models of prototype buildings

Connection type Connection location Spring δy (mm) ty (kN) δu (mm) tu (kN) δ0 (mm)

WFBW connection Girder-to-column Web spring 1.5 280 20 340 39
Flange spring 0.02 1,354 2.05 1,818 2.55

Beam-to-column Web spring 1 125 13.5 160 16
Flange spring 0.02 571 2 760 2.5

WFWW connection Girder-to-column Web spring 0.12 460 8 560 12
Flange spring 0.06 1,354 0.6 1,747 0.8

Beam-to-column Web spring 0.1 200 12 260 14
Flange spring 0.02 571 1 737 1.5

© ASCE 04021238-8 J. Struct. Eng.
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are constrained. For the B2 and B3 cases, limited by the weak hori-
zontal constraints, the tensile membrane and catenary actions cannot
be fully developed at the large deformation stage; therefore, the load
intensity-displacement curves of these two cases indicate an obvious
downward trend after reaching their maximum flexural resistance.
According to Li et al. (2013, 2015), the catenary force in the steel
beam begins to develop when the beam’s chord rotation exceeds
0.1 rad. Therefore, this deformation (0.1 rad, 900 mm) is taken as
the starting point of the large deformation stage in this study.

Influence of Total Number of Floors

To study the influence of the total number of floors on the progres-
sive collapse resistance, the ground floor in Building A is extracted

to investigate its structural responses under different column re-
moval scenarios, and the corresponding load intensity-displacement
curves are drawn in Fig. 6. Except for the A1 case, the load
intensity-displacement curves of the five- and single-story proto-
type structures are approximately the same. Table 3 summarizes the
ultimate resistance of the single-floor prototype structure (RA1) for
each column removal scenario and compares it with the corre-
sponding RA. Except for the A1 case, the differences between RA
and RA1 for the rest of the cases are less than 10%. For the A1 case,
the RA is 1.15 times RA1 because the five-story structure develops
the Vierendeel mechanism, which is lacking in the single-story
structure (Sagiroglu and Sasani 2014; Qiao et al. 2018). Apart from
the corner column loss scenario (A1), the influence of the Vieren-
deel mechanism on the load-carrying capacity of building A is

Fig. 6. Influences of column failure location, total number of floors, and floor slab.

Table 3. Ultimate resistance of prototype buildings

Removed
column

1.2DLþ 0.5LL Building A
Single floor
with slab

Single floor
without slab WFWW connection Building B

Rd (kN=m2)
RA

(kN=m2) RA=Rd

RA1
(kN=m2) RA=RA1

RA1f
(kN=m2) RA1=RA1f

RAW
(kN=m2) RA=RAW

RB
(kN=m2) RB=RA

A1 7 30.61 4.37 26.51 1.15 14.82 1.79 29.64 1.03 40.07 1.31
A2 7 23.07 3.30 21.62 1.07 11.43 1.89 22.84 1.01 38.42 1.67
A3 7 23.12 3.30 22.51 1.03 14.92 1.51 23.24 0.99 36.05 1.56
B1 7 29.88 4.27 30.45 0.98 19.86 1.53 30.33 0.99 38.64 1.29
B2 7 22.87 3.27 24.22 0.94 12.98 1.87 22.11 1.03 22.92 1.00
B3 7 23.11 3.30 24.04 0.96 11.54 2.08 22.82 1.01 23.51 1.02
C1 7 34.29 4.90 31.54 1.09 20.61 1.53 31.46 1.09 33.62 0.98
C2 7 23.70 3.39 26.13 0.91 16.18 1.62 22.54 1.05 40.37 1.70
C3 7 25.36 3.62 24.77 1.02 11.57 2.14 23.52 1.08 42.11 1.66

© ASCE 04021238-9 J. Struct. Eng.
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negligible. This finding indicates that the load carried by each floor
in building A is almost the same; in other words, the vertical load of
the multistory structure under the column loss scenario is not con-
centrated on a certain floor. Therefore, if the structural arrangement,
size, and applied gravity load of each floor are the same, each floor
tends to resist only the vertical load applied to it. This conclusion
echoes the finding reported by Hoffman and Fahnestock (2011).
Hence, except for the corner column failure scenario, the total num-
ber of floors does not significantly change the performance of the
regular structure under progressive collapse scenario.

Influence of Composite Floor Slab

To study the effect of the composite floor slab on the progressive
collapse resistance, the floor slab in the single-floor structure is
removed to make it become a single-floor frame, and the vertical
displacement-controlled load is applied to the failed column. The
load intensity of the single-floor frame is calculated by dividing the
total vertical resistance by the tributary floor area of the removed
column. For instance, the tributary floor area of the A1 case equals
13.5 m2 (0.5 girder span × 0.5 beam span), which is only a quarter
of the loading area for the single-floor structure with a slab. Fig. 6
depicts the load intensity-displacement curves of different column
failure cases. Table 3 summarizes the ultimate resistance of the
single-story structure without a slab (RA1f ) under each column re-
moval scenario and compares it with the corresponding RA1. The
conclusion reached is that the composite floor slab can increase the
RA1f by at least 51% and even increase it by 114% for the C3 case.
Furthermore, the minimum RA1 (21.62 kN=m2) is 89% higher than
the minimum RA1f (11.43 kN=m2). This finding implies that the
composite floor slab can greatly improve the progressive collapse
resistance of the steel frame structure; therefore, the contribution of
the composite floor slab cannot be ignored in the progressive col-
lapse resistance analysis of the steel frame structure.

Influence of Beam-to-Column Connection Type

In this section, the effects of two commonly used rigid beam-to-
column connections, including WFBW and welded flange-welded
web (WFWW) connections, on the progressive collapse resistance
of Building A are studied. The Complete-Joint-Penetration groove
weld is used to connect the flanges, webs, and shear tabs to the
column wall. The strength of the weld is assumed to be stronger
than the connected members, and the influence of the weld on the
surrounding materials is neglected.

First, the bearing and deformation capacities of these two con-
nections are compared using the solid element half-span model
[Fig. 2(d)], and the corresponding simulation results of the beam-to-
column and girder-to-column connections are indicated in Fig. 7(a).
For the beam-to-column connection, the vertical displacement cor-
responding to the ultimate resistance of the WFBW connection is
144% higher than that of the WFWW connection, but its ultimate
resistance is 8.2% lower than that of the WFWW connection. For the
girder-to-column connection, the vertical displacement correspond-
ing to the ultimate resistance of the WFBW connection is 147%
higher than that of the WFWW connection, but the ultimate resis-
tance is reduced by 6.8% compared with the WFWW connection.
Despite the fact that the ultimate resistance of the WFWW connec-
tion is slightly higher, the WFBW connection has an obvious advan-
tage in developing catenary action at the large deformation stage,
which is also confirmed by the experimental test conducted by Li
et al. (2013). For the macromodel of the WFWW connection, the
modeling method of the flanges is the same as that of the WFBW
connection, whereas the welded webs are divided equally into four

pieces and simulated by four web springs, as indicated in Fig. 7(b).
Using a similar calibration approach as that used for the WFBW
connection, the connection springs of the WFWW connection are
calibrated, and the axial parameters of springs are listed in Table 2.
In addition, for the girder-to-column WFWW and beam-to-column
WFWW connections, the ultimate vertical shear resistance of the
web spring is 310 kN and 131 kN, respectively.

After replacing the WFBW connection in building A with the
WFWW connection, the load intensity-displacement curves corre-
sponding to each column failure case are drawn in Fig. 7(c). Table 3
summarizes the ultimate resistance of Building A using the WFWW
connection (RAW) in each column failure case and compares it with
the ultimate resistance of Building A using the WFBW connection
(RA). Except for the C1, C2, and C3 cases, RAW and RA are approx-
imately equal. For the C1, C2, and C3 cases, RA is 9%, 5%, and 8%
higher than the corresponding RAW. For these three cases, the hori-
zontal boundary displacement of girders is constrained by the ad-
jacent structures, which contributes to the development of the
catenary action in the building using the WFBW connection. In
addition, as indicated in Fig. 7(c), except for the A1 and B1 cases,
the load-carrying capacity of Building A with the WFBW connec-
tion is significantly higher than that using the WFWW connection
at the large deformation stage. Therefore, for the steel frame build-
ings, the progressive collapse resistance of the WFBW connection
is superior to that of the WFWW connection.

Influence of Steel Braces

Fig. 8(a) provides the macromodel of Building B and the modeling
approach for the steel braces. Steel braces are modeled using the
Hughes-Liu beam elements, and the connection regions are repre-
sented by rigid bars. The braces are fully constrained to the rigid
bars to simulate the rigid connections between them.

Given the observation of the failure phenomenon, the failure
modes of Building B can be classified into two categories: (1) floor
failure caused by the connection failure and slab fracture, and
(2) column failure caused by the redistributed vertical load and
P-delta effect. The failure modes of C1 and C3 cases of Building B
are floor failure and column failure, respectively. The load intensity-
displacement curves of Building A and Building B are drawn in
Fig. 8(b). Table 3 summarizes the primary simulation results of
Building A and Building B. Except for the B2, B3, and C1 cases,
the ultimate resistance of Building B (RB) is significantly higher
than the corresponding RA. C2 case has the largest improved per-
centage (70%), and B1 case has the least (29%). For the B2, B3,
and C1 cases, the load intensity-displacement curves of Building A
and Building B are nearly the same because Building B has no bra-
ces located in the affected spans for these cases. In contrast, for the
remaining cases, the steel braces located in the affected spans have
significantly enhanced the ultimate vertical resistance (at least by
29%) and reduced the vertical deformation. Compared with Build-
ing A, the steel braces in Building B changed the failure modes of
the C2 and C3 cases from floor failure to column failure. The col-
umn failure mode indicates that the structure reached the maximum
vertical resistance that can be achieved under this case, whereas the
floor failure mode indicates that the vertical load of the structure is
inadequate to cause the column failure.

Influence of Adjacent Spans

At the girder/beam-to-column connection and composite slab lev-
els, the stiffness of the horizontal boundary constraints can signifi-
cantly change the progressive collapse behavior (Kang et al. 2017;
Wang et al. 2021). When an entire structure is subjected to column

© ASCE 04021238-10 J. Struct. Eng.
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Fig. 7. Influences of connection type.
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loss, the horizontal boundary constraints of the affected floor region
are provided by its adjacent spans. As indicated in Fig. 9, based on
the C1 and C3 cases in Building A, the effect of adjacent spans on
the progressive collapse response is studied. A total of four cases
are compared and analyzed: without adjacent span, one adjacent

span, two adjacent spans, and three adjacent spans. The deforma-
tion modes and load intensity-displacement curves corresponding
to these circumstances are indicated in Fig. 9.

Fig. 9 indicates that the adjacent spans can alter the progressive
collapse resistance at the large deformation stage, whereas the

Fig. 8. Influences of steel braces.
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structural response at the flexural stage is not affected. For the C1
case, the ultimate resistance of one adjacent span circumstance is
21% higher than that of the circumstance without an adjacent span
because obvious catenary and tensile membrane actions are de-
veloped with the help of an adjacent span. For the circumstance
without an adjacent span, compared with its flexural capacity, no
obvious increase occurs in the load-carrying capacity at the large
deformation stage. However, for circumstances with one, two, or
three adjacent spans, the load intensity-displacement curves are ap-
proximately the same. With respect to the C3 case, a similar phe-
nomenon is observed, and the ultimate resistance of cases with
adjacent spans is approximately 12% higher than that of the case
without adjacent spans. The conclusion reached is that adjacent
spans can improve the progressive collapse resistance by improving
the catenary and tensile membrane actions. For Building A, one
adjacent span is sufficient for developing the catenary and tensile
membrane actions.

Robustness Evaluation and Enhancement Strategies

Robustness Evaluation Method

Through the aforementioned macromodeling approach, the nonlin-
ear static response of the steel frame buildings under column loss
scenarios can be obtained. As indicated in Fig. 10(a), based on the
energy-based method proposed by Izzuddin et al. (2008), the non-
linear static response can be converted into an equivalent dynamic
response. After reaching the static ultimate capacity (Fsu), the load-
carrying capacity of the structure becomes unstable and might

suddenly break down (Main 2014; Bao et al. 2017). Therefore,
the displacement corresponding to Fsu is regarded as the termina-
tion point of the equivalent dynamic response curve. Before this
termination point, the dynamic ultimate capacity (Fdu) achieved
by the equivalent dynamic response curve can be regarded as the
structure’s ultimate capacity against progressive collapse.

Fig. 10(b) depicts the structural robustness evaluation method
and design routine of the steel frame building. The minimum Fdu
of all column loss scenarios is regarded as the ultimate capacity of
the objective structure. The progressive collapse resistance demand
of this structure is chosen as the load combination for extraordinary
events Rd, which is specified in ASCE/SEI 7-16 (ASCE 2017). If
the ultimate capacity of the objective structure is higher than its pro-
gressive collapse resistance demand, this structure is considered to
be robust enough to avoid a progressive collapse. Otherwise, select-
ing an appropriate structural robustness enhancement method to
redesign and re-evaluate the objective structure is necessary until
its ultimate capacity is higher than its progressive collapse resistance
demand.

Retrofitted Moment Resisting Connection

Fig. 11(a) illustrates a retrofitted moment-resisting connection with
steel strands, which can enhance structural robustness by providing a
second line of defense to the girder-to-column and beam-to-column
connections. This proposed connection comprises columns, girders,
beams, steel strands, and stiffening ribs. The yield strength, ulti-
mate strength, and ultimate strain of the steel strand are 1,800 MPa,
1,900 MPa, and 0.05, respectively. The girder-to-column connec-
tion in Wang et al. (2019b) is chosen here to establish this

Fig. 9. Influence of adjacent spans.
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retrofitted connection. Four steel strands are installed in this con-
nection region for which the yield capacity equals the girder sec-
tion. The cross-section area of each strand is 98.7 mm2. Fig. 11(a)
indicates the half-span model with the retrofitted moment-resisting
connection, a modeling strategy that follows that used by Wang
et al. (2019b). Steel strands are modeled by truss elements, the ends
of which are coupling with the corresponding girder section to sim-
ulate the constraints from stiffening ribs.

Using this model, as indicated in Fig. 11(a), the influences of
the length and prestress of the steel strand are investigated. After
installing steel strands, the vertical resistance of the half-span
model is remarkably improved. When the strand length in the
half-span model (ls) equals three times the girder height (hf),
the vertical resistance is highest, which is 3.66 times the model
without a steel strand. Moreover, the deformation capacity of this
connection is also improved by 198%. Therefore, the strand length
ls ¼ 3hf is selected in the following simulations. As indicated in
Fig. 11(a), the ratio between strand prestress and its yield stress (β)
has a limited impact on the vertical resistance of the half-span
model. Therefore, in the following simulation, the steel strands
are not applied prestress.

The girder-to-column and beam-to-column connections in
Building A are all replaced by the retrofitted moment-resisting con-
nection. This reinforced building is called Building C. In Building C,
four steel strands (cross-section area of each strand is 406.5 mm2)
are installed in the girder-to-column connection, and four steel
strands (cross-section area of each strand is 165.0 mm2) are installed
in the beam-to-column connection. As indicated in Fig. 11(b), the
steel strands in the macromodel are modeled by truss elements, and
the cross-section area of each truss element equals the sum of the

cross-section area of the two steel strands at the same elevation. The
size of the truss element is 50 mm. In the macromodel, one end of
the steel strand is constrained to the beam through a rigid bar, and the
other end is fixed to the connection region at its corresponding
elevation.

Fig. 11(c) indicates the load intensity-displacement curves of
Building C subjected to different column loss scenarios. Its ulti-
mate resistance (RC) is listed in Table 4. Given o the retrofitted
connection, RC exceeds its corresponding RA under all column re-
moval cases. For Building A, the progressive collapse resistance of
the A2, A3, B2, B3, C2, and C3 cases are comparatively weak.
After replacing with the retrofitted connection, the ultimate resis-
tance of these six cases has been improved by at least 11%, and this
A3 case percentage reaches 24%. The improvement in the pro-
gressive collapse resistance of these cases is attributed to the en-
hanced catenary action. Compared with Building A, the improve-
ment percentage of the A1 case is the lowest in Building C, at only
3%. This is because the progressive collapse resistance under the
corner column removal scenario is mainly provided by the flexural
capacity of the beams and slabs and the Vierendeel mechanism be-
tween the different floors. Therefore, for the A1 case, the advantage
of the retrofitted connection in developing catenary action cannot
be exerted.

According to the method depicted in Fig. 10(a), the nonlinear
static response curves of Building A and Building C in Fig. 11(c)
are converted into equivalent dynamic response curves. The dy-
namic ultimate capacity of Buildings A and C is summarized in
Table 4 and is denoted by Fdu A and Fdu C, respectively. For Build-
ing A, the RA of the A2, A3, B2, B3, C2, and C3 cases is relatively
weak. However, after being converted into a dynamic response,
Fdu A of the B2 and B3 cases is much weaker than that of the
A2, A3, C2, and C3 cases because when the static response reaches
its ultimate resistance, the displacements of the B2 and B3 cases
are relatively small, and their equivalent dynamic response curves
are more similar to the “Type 1” dynamic response curve, which is
discussed in the next section. The Fdu A of the B2 and B3 cases,
which are the most vulnerable cases in Building A, is approxi-
mately 2.45 times the corresponding Rd. Therefore, Building A is
concluded as having sufficient structural robustness to prevent the
progressive collapse initiated by a single ground floor column fail-
ure. By comparing Fdu A and Fdu C, the dynamic ultimate capacity
has been improved for all cases when the retrofitted connections are
utilized. For Building C, the most vulnerable cases are still the
interior column removal cases, including the B2, B3, C2, and C3
cases, but the Fdu C of these cases is at least 2.92 times the corre-
sponding Rd. Therefore, compared with the minimum Fdu A in
Building A, the minimum dynamic ultimate capacity of Building
C has been improved by 19%.

Discussion of Robustness Enhancement Strategies

Using the energy-based method depicted in Fig. 11(c), the dynamic
ultimate capacity of the aforementioned nonlinear static pushdown
analyses is obtained, which is indicated in Fig. 12(a). For the “sin-
gle floor without slab,” the dynamic ultimate capacity of the A2,
B3, and C3 cases is closest to Rd [the dashed line in Fig. 12(a)],
which is on the very edge of progressive collapse. Consequently,
preventing progressive collapse merely relying on the steel frame
without improvements is difficult. The minimum dynamic ultimate
capacity of “single floor with slab” (21.62 kN=m2) is 2.14 times
that of “single floor without slab” (7.96 kN=m2). This finding in-
dicates that, with the help of the composite slab, the structural ro-
bustness of the steel frame has more than doubled. The minimum
dynamic ultimate capacity of Building A (17.12 kN=m2) is 7%

Fig. 10. Structural robustness evaluation method.
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Fig. 11. Retrofitted moment-resisting connection.
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higher than that of the building with the WFWW connection
(16.02 kN=m2); thus, the WFBW connection is better than the
WFWW connection in preventing progressive collapse.

As is noted in the preceding section, after replacing all of the
girder-to-column connections and beam-to-column connections in
Building A by the retrofitted connections, the structural robustness
improved by 19%. As indicated in Fig. 12(a), except for the C2
and C3 cases, the dynamic ultimate capacity of all of the cases was
noticeably improved. The ineffectiveness of the retrofitted connec-
tion for the C2 and C3 cases is mainly attributable to the slab frac-
ture. For Building A, the failure of the C2 and C3 cases is the result
of the slab fracture, which cuts off the load paths between slabs and
girders and between slabs and beams. Therefore, the advantage of
the retrofitted connection cannot be developed if the slab load can-
not transfer to the girders and beams. Although the resistance of the
B2 and B3 cases was improved by the retrofitted connection, the
dynamic ultimate capacity of these two cases has yet to exceed that
of the C2 and C3 cases, which is also limited by the slab fracture.
Given this, for the interior column removal scenarios, improving
the tensile membrane action of a slab rather than merely improving
the catenary action of the girders and beams would be more prac-
tical. As noted by Wang et al. (2021), improving the continuity of
the steel deck can be selected as an appropriate choice.

Moreover, as indicated in Fig. 12(a), the steel braces signifi-
cantly improved the dynamic ultimate capacity of the C2 and C3
cases. However, for the A1 and A3 cases, the dynamic ultimate
capacity was even weakened by the steel braces. This phenomenon
can be explained by Fig. 12(b). As depicted by the “Type 1” in
Fig. 12(b), if the static response curve is a straight line, the equiv-
alent dynamic response is also a straight line, and Fdu will equal
0.5Fsu. However, if the static response curve is convex downward,
as depicted by the “Type 2” in Fig. 12(b), its corresponding Fdu will
be larger than 0.5Fsu. Therefore, if the Fsu is the same for “Type 1”
and “Type 2”, the Fdu of “Type 2” will be higher than that of
“Type 1.” As indicated in Fig. 8(b), the static load intensity-
displacement curves of the A1, A2, and A3 cases are more similar
to those of “Type 1,” and the Fsu=Fdu ratios of these cases approx-
imately equal 2 (Fig. 12b). Hence, although the static ultimate capac-
ity of these cases improved bymore than 31% (Table 3), the dynamic
ultimate capacity might be weakened. For the C2 and C3 cases in
Building B, the static load intensity-displacement curves are still
“Type 2,” and theFsu=Fdu ratios range from 1.27 to 1.40. In this situ-
ation, the steel braces improve the dynamic ultimate capacity by at
least 45%. The results in Fig. 12 lead to the conclusion that the steel
braces cannot be placed at the exterior frames or connected to the
exterior columns. Because the redistributed vertical load to the re-
moved exterior columns is comparatively less, the removed exterior
columns supported by the steel braces might not be able to develop
much vertical displacement, which would change the static response

curves from “Type 2” to “Type 1.” Therefore, placing the steel braces
at spans not connected with the exterior columns is better.

Conclusions

This study presents a macromodeling approach that is applicable to
analyze the progressive collapse behavior of steel frame buildings
with the composite slab. This modeling approach can accurately
account for the local steel fracture and concrete damage behavior
without losing computational efficiency. This modeling approach is
verified by comparing its results with a full-scale composite floor
test; then, it is applied to the progressive collapse simulation of
a specially designed fivee-story prototype building. Based on this
building, the influence of some key factors, including column failure
location, total number of floors, floor slab, beam-to-column connec-
tion type, adjacent span, and steel brace, on collapse resistance are
investigated. Thereafter, the structural robustness of the prototype
building is assessed. Meanwhile, a retrofitted moment-resisting con-
nection with steel strands is proposed and applied to the prototype
building. The effectiveness of this developed connection in enhanc-
ing structural robustness is validated. Finally, based on the obtained
analysis results, the following conclusions are reached.
• In steel frame buildings with a composite slab, the progressive

collapse resistance is lower when the inner and beam side col-
umns are removed, whereas the progressive collapse resistance
is comparatively higher when corner or girder side columns fail.

• Except for the corner column loss scenario, the total number of
floors of Building A has a negligible effect on the progressive
collapse resistance, echoing the finding reported by Hoffman
and Fahnestock (2011). Noteworthy is that for the prototype
building investigated in this study, the floor slab geometry, floor
beam configuration, column dimension, designed floor load,
and floor height do not changed over the building height. Any
change in these conditions might potentially affect the accuracy
of this conclusion. Under the corner column loss scenario, the
Vierendeel mechanism developed between different floors is a
benefit for the progressive collapse resistance.

• The composite floor slab can increase the minimum dynamic
ultimate capacity of Building A investigated in this study by
114%. Therefore, the contribution of composite floor slabs needs
to be carefully considered in the analysis of the progressive col-
lapse behavior of steel frame buildings.

• Compared with the WFWW connection, the WFBW connection
investigated in this study can improve the minimum dynamic
ultimate capacity of the prototype building by 7%. Moreover,
the load-carrying capacity of Building A at the large deforma-
tion stage was also improved.

• Adjacent spans can improve the progressive collapse resis-
tance by improving the catenary and tensile membrane actions.

Table 4. Static and dynamic ultimate resistance of Building C and Building A

Removed
column

1.2DLþ 0.5LL Building A Building C

Rd (kN=m2) RA (kN=m2) Fdu A (kN=m2) Fdu A=Rd RC (kN=m2) Fdu C (kN=m2) RC=RA Fdu C=Fdu A

A1 7 30.61 23.22 3.32 31.67 26.66 1.03 1.15
A2 7 23.07 18.67 2.67 26.81 22.14 1.16 1.19
A3 7 23.12 20.22 2.89 28.76 22.27 1.24 1.10
B1 7 29.88 24.58 3.51 33.08 28.07 1.11 1.14
B2 7 22.87 17.12 2.45 26.27 20.45 1.15 1.19
B3 7 23.11 17.27 2.47 25.80 20.49 1.12 1.19
C1 7 34.29 25.41 3.63 37.00 29.86 1.08 1.18
C2 7 23.70 19.84 2.83 27.58 20.79 1.16 1.05
C3 7 25.36 19.98 2.85 28.04 21.17 1.11 1.06

© ASCE 04021238-16 J. Struct. Eng.

 J. Struct. Eng., 2022, 148(1): 04021238 

D
ow

nl
oa

de
d 

fr
om

 a
sc

el
ib

ra
ry

.o
rg

 b
y 

H
on

g 
K

on
g 

Po
ly

te
ch

ni
c 

U
ni

ve
rs

ity
 o

n 
11

/2
4/

21
. C

op
yr

ig
ht

 A
SC

E
. F

or
 p

er
so

na
l u

se
 o

nl
y;

 a
ll 

ri
gh

ts
 r

es
er

ve
d.



For Building A, one adjacent span is sufficient for developing
the catenary and tensile membrane actions.

• The minimum dynamic ultimate capacity of Building A is ap-
proximately 2.45 times the corresponding Rd. Building A has
sufficient structural robustness to prevent the progressive col-
lapse initiated by a single ground floor column failure.

• If the removed column is located in the affected spans, the
steel braces can improve the static ultimate capacity by at
least 29%. However, steel braces might be harmful to the sud-
den exterior column removal scenarios. Placing the steel bra-
ces at the spans not connected with the exterior columns is
preferred.

• The proposed retrofitted moment-resisting connection can im-
prove the progressive collapse resistance of the girder-to-column
connection by 266%. The progressive collapse resistance of
the retrofitted connection is highest when ls ¼ 3hf, where ls is
the distance from the column flange to the anchored end of the
strand, and hf is the girder height. The prestress in the steel
strand has no obvious influence on the load-carrying and defor-
mation capacities of the retrofitted connection. After installing
the retrofitted connection, the dynamic ultimate resistance of the
prototype building is improved by 19%.
Interesting to note is that, although the ultimate capacity of the

girder-to-column connection is increased by 266% by using the

Fig. 12. Structural robustness comparisons.
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retrofitted connection, it can only improve the overall capacity of
the prototype building by 19%. However, given the contribution of
the composite slab, the overall capacity of the prototype building is
increased by 114%. Therefore, focusing on improving the contribu-
tion of the floor slab would be more sensible than merely enhancing
the connection performance.
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